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This thesis has tried to collate and compare the universally 
available design recommendations for this bolted end plate beam to column 
type of connection. Three specimens simulating these connections in a 
multistorey building were designed with the use of these recommendations 
and tested in an earthquake type loading situation. The results of these 
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CHAPTER 1 
INTRODUCTION 
Bolted end plate steel beam to column connections can facilitate 
quick structural erection and can provide reasonable strength, stiffness 
and ductile characteristics. In the past there has been a reasonable 
1 
amount of research into the behaviour of these connections especially with 
respect to medium and smaller sized beam members in monotonically loaded 
situations. This thesis reviews and discusses past design recommendations 
for these connections. It also describes some tests which were carried 
I 
out to determine the applicability of the above recommendations when these 
connections are subjected to earthquake type, cyclic racking, loads. The 
plastic design approach has been adopted here for assessing the strengths 
of the connections and their associated beams and columns. 
CHAPTER 2 
THE SIMPLIFIED LOADING AND BEHAVIOUR 
OF THESE CONNECTIONS 
In the design of multistorey buildings to resist earthquake loads 
the general approach has included the over-design of the columns and the 
beam to column connections. The purpose of this has been to discourage 
the formation of plastic hinges in the column and in the beam to column 
connections and to also reduce the likelihood of a brittle type failure 
occurring in the connections. To design the connection the beam and 
2 
column moments and forces were assumed to generally act on the connection 
as follows. The column and beam moments were resolved into parallel forces, 
one in each flange as shown in Fig. 2.1. The beam tension flange force 
was transferred into the column flange by way of the end plate and the 
immediately adjacent bolts. The beam compression flange force was trans-
ferred by direct bearing between the end plate and the column. Vertical 
shear was transferred across the connection through the bolts in bearing 
and/or through direct friction between the end plate and the column flange. 
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FIG. 2.1 General view of the ea r t hquake loads on this type of c o nnec tion. 
4 
CHAPTER 3 
A REVIEW OF LITERATURE ON THE DESIGN 
RECOMMENDATIONS FOR THESE CONNECTIONS 
There are several published articles related to this type of connection 
and in general their recommendations have become less conservative as research 
has progressed. In a fundamental sense the currently accepted design pro-
cedure for these connections is: 
(1) Calculate or assume the magnitude of the bolt prying effects. 
(2) Calculate the bolt size. 
(3) Calculate the end plate dimensions. 
(4) Design the beam to end plate welds. 
(5) Determine the column flange and web stiffening requirements. 
These five aspects are interdependent and design methods make some allowance 
for this. Some particularly prominent published articles on this type of 
connection design are reviewed in the following paragraphs. 
(5) 
Sherbourne 1961, was one of the earlier researchers to collate 
existing knowledge and present a design method for this type of connection. 
He also tested five connections of this type to study their behaviour. 
Unlike all of the following authors he used a smaller tension flange force 
in his design recommendations, i.e. P = Af x f b rather than the more 
~ IB y 
commonly assumed force of P = - . Sherbourne assumed that the beam 
TB df 
tension flange force was carried equally between all the bolts both immed-
iately above and below that flange. That assumption was common to all of 
the following published articles. He did not explicitly include the addit-
ional tension in the bolts due to prying but did seem to make some allowance 
by using the bolt proof stress rather than the ultimate stress, to work out 
the bolt size required. He assumed that the end plate acted in double 
curvature, as shown in Fig. 3.1, with plastic moments occurring in it at 
both the horizontal line of the bolt centres and the centre of the beam ten-
sion flange. To calculate the magnitude of the plastic moment he used Von 
Mises yield criteria to allow for the weakening effect of shear when acting 
in conjunction with bending in the end plate. Sherbourne also presented 
5 
some equations for assessing the need of column web stiffening to prevent its 
buckling near the beam compression flange. These equations were relatively 
complex and do not appear to have been used by the following authors reviewed 
here. 
The A.S.C.E. Manual No.41 (4 ), 1971, presented a design method for 
these connections~ It was largely collated from previous work. To assess 
the loads on the bolts the manual gave a simple approximate equation for 
calculating the bolt prying force, i.e. 
( 3b t 3J 
Q = lsa - 20 x F 
see Fig. 3.2 where in this equation "t" is in inches. This is a simplified 
form of the equation recommended by Douty and McGuire. (S) The Manual 
suggested that some or all of the shear in the joint would be carried by 
friction and could be calculated from the bolt pre-load and the friction 
coefficient. The Manual assumed that the end plate acted in double curva-
ture, as shown in Fig. 3.1, with plastic moments occurring in it at both the 
horizontal line of the bolts and the face of the beam tension flange. In 
the derivation of the end plate thickness equation it seemed to gain a factor 
of two with its end plate width term, "B", i.e. it gave, 












. . . d . ( 1) This latter equation is similar to that given by Mann an Morris. 
( 6) 
Grundy et al , 1977, collated a design procedure from existing liter-
ature and from some of their own work. They also performed two tests to study 
the behaviour of these connections. Grundy et al recommended a 20% increase 
in the bolt design load to allow for prying effects. Unlike the other art-
icles reviewed here they suggested that eight bolts per beam flange could be 
used although with the proviso that a horizontal column flange stiffener is 
used. They assumed that the tension flange force would be shared equally 
among that group of eight bolts. They recommended that the vertical shear in 
the connection could be carried solely or predominantly by the compression 
flange bolts. They assumed that the end plate acted in double curvature, see 
Fig. 3.1, and they used the allowable stress method to obtain the end plate 
equation, 
t ~ [ b ]½ 
X B 




that used by 
This equation was approximately 20% more conservative than 
. (1) (7) 
Mann and Morris and by Hogan and Thomas. Grundy et al 
provided equations for calculating the capacity of the column flange to 
resist the load of the beam tension flange bolts. These equations appear 
to be approximately 50% more conservative than those proposed by Packer and 
Morris. ( 2 ) Grundy et al did include in their equations the weakening effect 
of other column flange stresses due to column axial load and bending. 
was not done by Packer and Morris. 
This 
( 7) 
Hogan and Thomas , 1978, collated previous recommendations for this 
type of connection and then presented a design method. From the work of 
d · (l8 ) h d d · . f f 2 f Gorenc an Tinyou t ey recommen e a maximum prying orce o 0% or 
when the end plate.thickness, "t", was greater thar;i 1.4 times the bolt diam-
eter, "D". They also quoted s·ome more elaborate equations for calculating 
bolt prying effects. They assumed that the shear in the connection was 
carried equally by all the bolts. They assumed that the end plate acted 
in double curvature with plastic hinges forming in it at the face of the 
beam tension flange and along the horizontal line of the bolt centres. 
This lead to their recommendation of the end plate equation, 
[ 
M X b r t = B df X f X B yp 
Hogan and Thomas presented some equations for calculating both the stiffened 
and unstiffened capacities of the column web and flange in the connection 
region. 
~ PTB 0 
For the column web they recommended that f x t (T + Sk + 2t) 
ye c B C 
For the column flange capacity in the beam tension flange region 
their recommended equations tend to be more conservative than those proposed 
by Packer and Morris( 2 ) but not as conservative as those proposed by Grundy 
et al. (6 ) 
Packer and Morris( 2), 1977, carried out some research into the failure 
mechanisms of both the end plate and the column flanges in the beam tension 
flange region of the connection. In their research they used yield line 
theory as a basis for their analyses. 
procedure for this type of connection. 
They subsequently 
They recommended 
recommended a design 
a 33l~o 'increase 
3 
in the bolt's design tensile load to allow for prying effects as proposed by 
Surtees and Mann. (lO) 'k f h . t· 1 . - h Lie many o t e previous ar ices reviewed ere 
they assumed that the end plate acted in double curvature with plastic hinges 
7 
forming in it at the face of the beam tension flange and on the horizontal 
line of the bolt centres. Refer to Fig. 3.1. In their end plate equation 
they made some allowance for the reduced section affected by the presence 
of the bolt holes, i.e., 
t ~ [ 
M X b 
B 
d X f X (B-D') 
f yp r 
They recommended some equations for assessing the column flange capacity in 
the beam tension flange region. These were for both unstiffened and stiff-
ened column flanges where in the latter case the stiffening was provided by 
full depth horizontal plate stiffeners. Their equations didn't take into 
account the weakening effect of other stresses in the column flanges due to 
column axial load and bending. Their equations for the column flange cap-
( 7) 
acities are less conservative than those proposed by Hogan and Thomas and 
Grundy et al. 
( 6) 
Mann and Morris(l), 1979, appear to have largely based their paper on 
that of Packer and Morris( 2), although with some modification. They recomm-
ended a 33½% increase in the bolt's design tensile load to allow for 
. ( 10) 
prying effects as proposed by Surtees and Mann. They also recommended 
that the edge distance, "a", should not be less than 2.5 times the bolt diam-
eter, "D", to keep prying effects at a realistic level. 










To calculate the 
This is slightly different from that recommended by Packer and Morris. 
Mann and Morris reasoned that the work done in deforming the bolts compen-
sated for the loss of end plate strength that was due to the existence of 
the bolt holes. They recommended the use of fillet welds to join the beam 
onto the end plate. This was to reduce both the risk of lamellar tearing 
and the preparation costs. They recommended a simple design rule which was 
that the throat thickness be not less than 0.5 x Tb for the flange welds and 
0.5 x tb for the web welds, provided that the heavier flange weld was con-
tinued down the web on the tension side for at least 50 mm. This provision 
was to prevent tension cracking of the weld in the root fillet. For assess-
ing the column flange adequacy in the beam tension flange region they recomm-
ended the formulae proposed by Packer and Morris although for a different 
form of column flange stiffening they also presented some of the work done by 
[ 
8 
· · (ll) · h . 1 f zoetemeiJer , wit respect to using co umn lange doubler plates. To 
determine the need and extent of column web stiffening in the beam compress-
ion flange zone they quoted some equations from the European recommendations 
12 (13) 
and from Mann. 
(10) 
Surtees and Mann , 1970, carried out research into the failure 
mechanism of the end plates. They recommended that the load on any one of 




This allowed an additional 33½% increase in the design tensile load of 
the bolts to allow for prying effects. They recommended that the end plate 
dimensions be calculated from the followiµg equation, 
T [~~ X f ]¾ 
uf le ' A J YP 
This took into account the additional strength that was given to the end 
plate by the restraining action of the attached beam web. Refer to Fig. 
3. 3. It is subsequently the least conservative of all the end plate thick-
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( Bolt hole diameter) 
I . 8 .I 
End plate thickness = t 
FIG; 3.2 End plate dimensions. 
FIG. 3.3 



















- - - - Hogging yield lines 
• • • · • • Sagging yield lines 
Yield line mechanism in the end plate as suggested 





4.1 GENERAL DESCRIPTION OF THE TESTS 
The form of the experiment was chosen so as to be reasonably repres-
entative of a one way beam to column connection in a multi-storey building 
when under earthquake cyclic loading conditions as shown in Fig. 4.1. 
In practice the relative bean~ and column sizes, their spacing, loads and 
degree of bracing may all differ significantly from those tested here. 
h fl . · 1 · f . d d d 1 · · (2 l) T e exibi i ty o the spec_imens teste exceede the co e imi ts , however 
their general behaviour would have been very similar. 
( 16) . 
The N.Z.S. 3404 1977 Section 12.4.7 requires that the columns be 
overdesigned to discourage the formation of plastic hinges in them. 
This was subsequently done as indicated by the design loads which are detailed 
in later sections of this chapter. 
The N.Z.S. 3404 1977 also requires that the connection be overdesigned 
to allow for moment gradient and strain hardening effects in the beams. 
To allow for this a 25% increase in the plastic moment of the beams was 
allowed for when designing the connection of specimens one and two. The 
connection of specimen three was under designed so that its behaviour could 
be studied more closely at ultimate load and failure. 
Mild steel with a specified yield stress of 250 MPa was used in the 
fabrication of all parts of the specimens except for the use of H.S. bolts. 
These bolts were assumed to be acting in a bearing type joint and were chosen 
in accordance with the requirements of the A.S.1511 - 1973. (l7 ) The part 
turn method was used when the bolts were tightened. In all three of the 
specimens tested here this meant that the bolts were tightened by a half 
turn of the nut from the snug tight position. 
under both the head and nut of the bolts. 
Standard washers were placed 
13 
The specimens were set up in the test rig as indicated on Fig's 4.2 
and 4.3. The beam loads were applied at their ends by means of a hydraulic 
jack through a tie rod system. The column axial compression load was applied 
by two hydraulic jacks, in parallel, and four macalloy bars. The latter 
were symmetrically located around the column section and transferred the 
column compression load reactions between its ends. This self supporting 
axial load system did not allow P-delta effects to be generated from relative 
interstorey lateral displacements as indicated in Fig. 4.1. This figure 
compares the test situation with the real situation. The beam points of 
contraflexure are displaced under point loads instead of the column swaying. 
The situation at the joint is quite similar but the absence of the column 
P-delta effect would change the stresses to some extent in the column and 
in the column section of the connection. 
Shims were placed in the connection between the end plate and the 
column flange. These are commonly used in practice to overcome tolerance 
problems during erection. In the tests here they also helped to discern 
between the column flange and the end plate deformations as can be seen in 
Fig's 5.1.~, 5.1.6 and 5.2.5. 
Before the specimens were tested their connection regions were painted 
with a white plaster solution. 
and location of yielding. 
This was intended to reveal the occurrence 
4.2 THE DESIGN PROCEDURE AND EQUATIONS THAT WERE USED 
The beam size used, 310 UB46, was common to all the tests. The 
column size was chosen so that it could support the required beam moments 
plus a reasonable axial compressive load. The column size was generally 
chosen to comply with the following two equations; 
(1) M 
pc 
= 1.18 (1 - _R_) X M 
p p 
y 
from 10.5.2 of AS1250-1975(l9 ) 
(2) The formula for the reduced plastic moduli 
when under axial load. 
(20) 
Tables. 
From page 40 of AISC 
14 
The capacity of the column flange to resist the tension bolt forces was 
also considered when making the choice of column size. Equations relating 
to this are given later on in this section. Other column design criteria 
. 340'(l6 ) . . h in NZS ~ were not critical ere. 
The tensile load in each bolt was calculated using the. equation 
· ( 10) 
recommended by Surtees and Mann , 
F 
The beam shear force was assumed to be carried equally by all eight bolts 
in the connection. 
equation, 
The effect of shear in the bolts was checked using the 
1.0 
( 17) 
(from AS 1511 - 1973 ) 
and was found to be minimal. The values of Pto and V0 b used were derived 
from the maximlun permissible applied loads given in AS 1511 when multiplied 
by a 1/0.6 factor which is given in the AS 1250 - 1975. (l9 ) 
The end plate dimensions were calculated using the equation recommended 
b b h d . (1) (7) y ot Mann an Morris and Hogan and Thomas. 
The shear forces and column axial forces in the panel zone were cal-
culated, see Fig. 4.4, and then column web doubler plates were added so that 
the following equation was satisfied, 
1.0 
. (16) 
(from Section 12.4.9 of N.Z.S. 3404 ) . 
The column web was also checked for buckling in the beam compression 





(T + 5 k + 2t). 
B c 
15 
The column flange capacities in the beam tension flange region were 
calculated from both the equations recommended by Packer and Morris( 2 ) and 
from some other equations derived by the author for the situation when the 
column web doubler plates are welded to the column flange tips. The capac-
ity of the unstiffened column flange, as shown in Fig. 4.5, was given by 
Packer and Morris as being the larger of the forces that are calculated from 
the following two equations; 
(i) 
(ii) 
F = T2 x f 
me c ye [ 
(2n + C - D')] 3.14 + 
m 
(where failure will occur by yielding in the column flanges) 
Refer to Fig. 4.8. 
Fmb 
(where failure will occur by fracture of the bolts) 
Refer to Fig. 4.8. 
The capacity of the column flange as stiffened in Fig. 4.6 was calculated 
from the equation recommended by Packer and Morris, 
~ 
where w = (m(m+n - 0.5 D')) . Refer to Fig. 4.9. 
The capacity of the column flange when stiffened with the a panel zone 
doubler plate which was butt welded to the column flange tips was calculated 
from the following equation, 
F = T2 x f [)m + 3n - D' + 3g + 2C - 1.5 D' + g(l+2r) + (l+r) c-1.5 D' J 
mp c ye [ 2g 2m 2n 
where g = [m n (3m + 3n - D'))½ 
3n + (1+2r)m 
Refer to Fig. 4.10. 
The derivation for this equation is given in the appendix. 
If the vertical distance between the adjacent bolts, "C", became too 
large then individual mechanisms would occur around each of the bolts giving 
a lower collapse load, F than that given by F 
mq, mp 
Refer to Fig. 4.11. 
F mq 2T~ f ye [ 2m + !n - D' + 2g - m O. 5 D' + 2g - n O. 5 D' J 
where "g" is the same as for F 
mp 
of this equation. 
4.3 SPECIMEN ONE 
See appendix also for the derivation 
It was intended in this specimen to over-design the column by 25% 
16 
and the connection by 25%. The beam and column sizes chosen were 310 UB 
46 and 250 UC 89 respectively. Details of the specimen can be seen in 
Fig. 4.12'. Standard( 22 ) yield tests were carried out on the component 
parts of the specimen and the results are given in Table l(a) below. 
TABLE 1 (a) 
Component Tested Yield Stress (MPa 
Beam 289 
Column 300 
End plate 298 
Panel zone doubler plate 241 
The strengths of the components of the specimen were calculated for both of 
the following situations, 
(1) The initially assumed dimensions and yield stresses, nominal 250 MPa. 
(2) The actual dimensions and yield stresses of the connection and compon-
ents respectively. These dimensions were measured prior to the test-
ing and the yield stresses were determined from yield tests on offcuts 
of the fabricated specimens. 
These strengths were then related to the beam loads and are shown in Table l(b) 
TABLE 1 (b) 
Component 
Beam (plastic moment) 
Column (axial load of 
1300 kN with reduced 
plastic moment) 
M30.H.S. Bolts (assuming 
33% prying) 
End plate(l & 7 ) 
:B fx bx B l ½ 
yp 
1 t (10) End pa e 
M~2_B + ~_f_J l !, 
yp C A 
Panel zone in shear 
(when column axial 
load = 1300 kN) 
Column flange capacity 
Load required on end of beam to reach 
the strength capacity of the corres-



























The column axial load used gave P/P = 0.38 where P was calculated 
y y 
from the actual yield stress. Some difficulties were experienced during 
the fabrication of this specimen because of welding distortions. The first 
distortions occurred when the doubler plates, welded to each side of the 
column web, pulled the column flanges inwards. This resulted in the column 
flanges being convex across their column faces.· To remove this physical 
distortion the column was suitably heated, straightened and allowed to cool 
slowly to minimise the likelihood of altering the physical properties of 
the steel. The second set of distortions occurred when the column flanges 
were locally deformed by the column flange stiffeners pulling them inwards. 
Details of the connection and the welds can be seen in Fig. 4.12. 
4.4 SPECIMEN TWO 
This specimen was identical to specimen one except for two variations 
in their fabrication. In specimen two the panel zone doubler plates were 
putt welded to the column flange tips and the beams were fillet welded to 
h a l d d d · ( l) d h ' . 4 1 teen pates as recommen e by Mann an Morris an sown in Fig .. 3. 
Yield stresses for the component parts are as given for specimen one in 
Table l (a) . The strength of the components of the specimen were calculated 
and are presented in Table 2. 
TABLE 2. 
Component 
Beam (plastic moment) 
Column (axial load of 
1300 kN with reduced 
plastic moment) . 
M30 H.S. Bolts (assuming 
33% prying) 
End plate (l & 7 ) 
:Bfx bx B ]½ 
yp 
End plate (lO) 
Panel zone in shear 
(when column axial 
load = 1300 kN) 
Column flange capacity 
Load required on end of beam to reach 
the strength capacity of the corres-

























The column axial load used gave P/Py 
from the actual yield stress. 




4.5 SPECIMEN THREE 
In this specimen the connection was under designed so that its 
behaviour and failure could be studied more closely. The column was over 
designed by about 25% to prevent failure by plastic hinge action in the 
column. The beam and column sizes chosen were 310 UB 46 and 250 UC 73 
respectively. Details of the specimen can be seen in Fig. 4.14. Yield 
tests were carried out on the component parts of the specimen and the 
results are given in Table 3(a). 
TABLE 3(a) 
Component Tested Yield Stress (MPa) 
Beam 293 
Column 338 
End plate 261 
Panel zone doubler plate 249 
The strengths of the components of the •specimen were calculated and are 
presented in Table 3(b). 
TABLE 3 (b) 
Component 
Beam (plastic moment) 
Column (axial load of 
1440 kN with reduced 
plastic moment) 
M24 H.S. Bolts (assuming 
33% prying) 
End plate 
(1 & 7) 
[a, 
M X b 
Br t= B X f X yp 
End plate(lO) 
t ~[a, X ,y:r~. + 't-l ]' 
Panel zone in shear 
(when column axial 
load= 1440 kN) 
Column flange capacity 
Load required on end of beam to reach 
the strength capacity of the corres-
ponding component (kN). 
When calculated When calculated 
using specified with the measured 
yield stresses dimensions and 
and the dimen- actual yield 
sions shown in stresses 
Fig. 4 .14. 
66·. 7 77.2 
41.9 79.7 
66.3 
53.l 65.6 (beam 
77.9 (beam 
71. 7 74.8 
59.3 68.5 





The column axial load used gave = 0.46 where P 
y 
was calculated from 
p 
the actual yield stress. 
y 
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The butt welds between the end plate and the beams were splayed out 
by different amounts resulting in a smaller value of "b" for beam 11B 11 than 
.. (1&7) 
for beam "A". Hence the two different values for the end plate capacity 
in the right hand column of Table 3(b). 
4.6 MEASUREMENTS RECORDED DURING THE TESTS 
Measurements were taken at intervals throughout the tests to monitor 
the load deformation characteristics. This entailed: 
(1) Regular measurement of loads and deflections at the ends of the beams 
during the cyclic loading pattern. 
(2) Regular measurement of the column axial load to ensure that it was 
maintained. 
(3) Measurement at the zero and maximum load points of each cycle with 
an array of displacement (dial) gauges and strain (staeger) gauges. 
These were intended to monitor the column and beam flexure and the 
panel zone shear, end plate and column flange deformations. 
The positions of the 1dial gauges and loading points are shown in Fig. 4.2. 
In the panel zone the staeger gauges were arranged in a diamond pattern so 
that the principle stresses could be analysed. On the beam and column 
flanges some staeger gauges were aligned longitudinally to monitor the bend-
ing and axial deformations of those members. 
4.7 LOADS AND LOADING SEQUENCE 
The maximum beam loads for the first load cycle were chosen so that 
a displacement ductility factor, "µ", of magnitude 0.75 would be just reached. 
This enabled a displacement to be calculated for when ]J = 1.00, i.e. 1.333 
times the displacement at JJ equals 0.75. After this f1rst loading cycle on 
each specimen the following load cycles were performed with the displacement 
as the controlling variable. 
~efer to Fig. 4.2. 
The displacements were measured at Al and Bl, 
In specimens one and two the load associated withµ= 0.75 (58.1 kN) 
was assumed to be the load that would cause the beam moment to be at 0.75 
of its plastic moment. · In specimen three it was ,considered irrational to 
calculate the displacement ductilities with respect to the beam plastic 
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moment when the connection was weaker than the beam. An arbitrary"µ" 
of 0.75 was assumed to occur when there was a load of 46 kN on the beam 
ends. This was about 20% less than that used in specimens one and two 
and about 30% less than the theoretical beam load to coincide with the 
strength of the calculated weakest part of the connection, i.e. the column 
flange in the beam tension flange region. The use of this load also led 
to similar beam end displacements between specimens three· and specimens 
one and two for corresponding ductilities, 
The loading sequence was the same for each of the specimens except 
for some variation in the final cycle of each test. The loading sequence 
for specimens one, two and three are shown in Fig's 5.1, 5.2 and 5.3 respect-
ively. 
---~ 










(b) Test beam-column assembly .. (c) Real beam-column situation. 
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Horizontal column flange 
stiffeners welded to the 
flanges and web. 
FIG. 4.7 Column flanges stiffened by the doubler 
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FIG. 4.8 Dimensions related to the unstiffened 
column flange capacity. 
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FIG .. 4.9 Dimensions related to the column flange capa.city 
when stiffened horizontally at the level of the 
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5.1 SPECIMEN ONE 
The loading sequence that was used.is shown in Fig. 5.1.1 and the 
resulting beam load versus deflection records were plotted on Fig's 5.1.2 
and 5 .1. 3 for beams "A" and "B." respectively. In the early stages of the 
test there were some indications of premature yielding in the panel zone 
and in the beam adjacent to the end plate. These were thought to be due 
to the existence of some residual stresses that resulted from the welding 
stage of the fabrication. Yielding occurred first in the beams and soon 
after in the panel zone, end plate and column flanges. 
The main component of the displacements measured at the end of the 
beams (Al and Bl, see Fig. 4.2) was due to deformation within the beam 
itself. In the initial elastic stage of the loading the beam bending 
contributed a little over 50% towards the beam and deflections. Later 
on in the inelastic stages it was contributing over 90% of the beam end 
deflections. The remaining contributions being due to the deformation of 
the column in flexure and shear, the panel zone in shear, the column flanges 
around the tension bolts, the column web and stiffeners under the beam 
compression flange, the beam end plate, and the bolts. The beams started 
to bend and twist laterally out of the plane of loading after ductilities 
ofµ= 4 had been reached. This out of plane bending and twisting was 
partially restrained by the bracing. The load carrying capacity of the 
specimen continued to rise until maximum loads were reached at approximately 
µ = 5. The maximum loads for beams "A" and "B" were respectively 106 kN 
and 104 kN. After this beam flange buckling occurred and the load carrying 
capacity of the specimen slowly dropped off. The beam flange buckle was 
located near the end plate in the beam compression flange and on the side 
of the beam that had additional compressive stresses due to the out of plane 
deformation of the beams. Refer to Fig's (5.l.4(a) and (b)). 
Yielding in the end plate was most obvious along the general line 
of the beam tension flange although it was also evident in the region 
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between the beam flanges. The end plate outside the beam tension flange 
did not appear to act in double curvature as had been assumed in its design. 
However, deformations in the end plates were relatively small and can be 
seen in Fig's 5.1.5 and 5.1.6. 
Some yielding occurred in the column flanges around the beam tension 
flange bolts. 
the end plate. 
The resulting deformations were slightly less than those in 
During the fabrication of specimen one the horizontal 
column flange stiffeners pulled the column flanges inwards. This made 
visual assessment of the column flange deformutions deceptive and so with 
respect to Fig's 5.1.5 and 5.1.6 one should only compare the column flange 
deformations in the beam tension flange region with reference to those in 
the beam compression flange region. 
Shear deformations in the panel zone did not contribute much to the 
deflections at the beam ends. However, me~surement of strains in the panel 
zone indicated that yielding was occurring. When the specimen 
was at a displacement ductility factor, "µ", of 6 the strains in the panel 
zone exceeded yield in shear by a factor of about 2. 
Elongation and bending of the bolts was very minimal in this specimen. 
Some yielding occurred in the column on either side of the connection due 
to axial load and flexure but this yielding was not very significant. A 
general view of the specimen after testing is shown in Fig. 5.1.7. 
5.2 SPECIMEN TWO 
The loading sequence that was followed is shown in Fig. 5.2.1 and 
the resulting beam versus deflection records were plotted on Fig's 5.2.2 
and 5.2.3 for beams "A" and "B" respectively. There were ~gain some signs 
. 
of premature yielding in the beam and panel zone doubler plates although 
relative to specimen one these were not quite as significant in the doubler 
plates. Generally yielding occurred first in the beams and then in the 
panel zone, end plates and column flanges. 
The beams in this specimen behaved in very much the same way as 
those in specimen one. After extensive yielding had occurred from in 
plane bending the strength of the beams became ultimately governed by 
lateral instability and beam flange buckling as shown in Fig's 5.2.4 
and 5.2.6. The maximum load on beam "A" was 114 kN at·µ= 5.5 and on 
beam "B" was 106 kN atµ= 6.0. It is suspected however that some 
friction was introduced between beam "A" and the lateral bracing in the 
last cycle of this test because of the large amount of beam twisting. 
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Yielding in the end plates occurred mainly in the region of the 
beam flanges, as shown in Fig. 5.2.5. This was the case in specimen one 
although relative to specimen one the end plate deformations were less. 
Compare Fig's 5.1.6 and 5.2.5. Yielding occurred in the column flanges 
around the beam tension flange bolts. 
was similar to those in specimen one. 
The magnitude of these deformations 
Shear deformations in the panel zone were again not visually obvious 
but measurements taken indicated significant yielding. When the specimen 
was at a displacement ductility, "µ", of 6 the strains in the panel zone 
had exceeded yield in shear by a factor of about 1.5. 
Elongation and bending of bolts was again very minimal. Some 
yielding occurred in the column on either side of the connection but was 
relatively insignificant. 
is shown in Fig. 5.2.6. 
5.3 SPECIMEN THREE 
A general view of the specimen after testing 
The loading sequence that was followed is shown in Fig. 5.3.1 and 
the resulting beam versus deflection records were plotted on Fig's 5.3.2 
and 5.3.3 for beams "A" and "B" respectively. As in specimens one and 
two there were signs of premature yielding in the panel zone doubler plates 
and in the beams adjacent to the end plates. 
The main single contributor to the beam end displacements was the 
beam deformations. In the initial elastic stage of the loading the beam 
bending contributed approximately 40% towards the beam end deflections. 
In the later stages of the test the beam bending continued to only provide 
about 40% of the beam end deflections. 
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Out of plane bending in the beams and beam flange buckling were not nearly 
as significant in this test. This is because the beam loads were lower 
and probably of more importance was that the beams had more lateral bracing 
as shown in Fig's 4.2 and 5.3.14. In the initial elastic stage of the 
test this specimen was 25% more flexible than specimens one and two. 
The combined deformation of the end plate and column flange was 
approximately 3 times greater than that of specimen one and 4.5 times 
greater than that of specimen two for the same beam end displacement. 
The deflections in the beam "A" end plate were slightly larger than those 
in the beam "B" end plate. The beam "B" end plate was the one joined to 
its beam with the more largely splayed butt welds as mentioned before. 
Afterµ= 3 in theµ= 6 cycle signs of high stress could be seen in the 
end plate immediately adjacent to the tension flange butt weld. These 
were predominantly on the end plate outstand side of the beam tension 
flange weld. Atµ= 4 in theµ= 6 cycle a cleavage fracture started to 
propagate through the end plate of beam "B". A view of this fracture 
after the completion of testing is shown in Fig's 5.3.8, 5.3.9 and 5.3.10. 
A close examination of the fracture revealed that there were no signs of 
lamellar tearing. The effect of this fracture on the specimen's capacity 
to resist the beam "B" load was indicated by the sudden drop in the load 
versus deflection relationship, Fig. 5.3.3. The deformation of an end 
plate whenµ= +6 is shown in Fig. 5.3.4 for comparison with that of 
specimen one, Fig. 5.1.6 and specimen two, Fig. 5.2.5. 
The column flanges deformed around the four beam tension flange 
bolts as shown in Fig. 5.3.11. After fracture had occurred in the end 
plate of beam "B" the deformations in the beam "B" side column flange were 
predominantly around the two bolts that were taking most of the beam tension 
flange load, i.e. the two bolts immediately inside the beam tension flange. 
The resulting column flange deformations are shown in Fig. 5.3.12. 
Measurements of strain in the panel zone showed that the yield strain 
in shear had been exceeded by a factor of about 4 when the test on the 
specimen was atµ 6. At a later stage in the test two fractures occurred 
between the doubler plate butt welds and the column flange tips. Both of 
these fractures were on the beam "B" side of the column. They were thought 
to have been initiated by the higher load demand in the two bolts immediately 
within the beam tension flange after the beam "B" end plate had fractured. 
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Fig's 5.3.8 and 5.3.12 show one of the fractures soon after it had started. 
Fig. 5.3.13 shows the fracture, on the other side of the column, when it 
had extended the full length of the doubler plate. These fractures 
occurred in the column flange material immediately next to the butt weld. 
Indications of some possible lamellar tearing action were evident in the 
fracture. 
The maximum loads recorded on the beams were 102 kN, atµ= 10, on 
beam "A" and 89 kN, atµ= 4, on beam "B". Some of the bolts showed signs 
of deformation especially in bending. This was largely due to the rela-
tive movement of the column flanges and end plates from their initially 
parallel orientation. 
Some signs of yielding in the column outside of the connection were 
evident, especially in the column flanges and web immediately outside the 
stabilising influence of the doubler plates. This can be seen in the 
left and right hand sides of Fig. 5.3.13 by the cracking and flaking of 
the white plaster. 
One feature that was common to all the specimens was that throughout 
the cyclic loading procedure of the tests the columns were progressively 
shortened. This was most si-gnificant in the column connection region but 
was also evident in the adjacent column section. General views of the 
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FIG. 5.1.1 Loading pattern, specimen one. 
Beam load 
Column axial load = 1300 kN (kN) 
100 
FIG. 5. l. 2 Load versus deflection, beam "A", specimen one. 
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Beam deflection ( at A 1 1 
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Load versus deflection, beam "B", specimen one. 




(a) Close up view of the connection. 
(b) General view of the specimen. 
FIG. 5.1.4(a) and (b) Buckling of the beam flanges, (specimen one). 
The locations of the buckles are indicated on the photographs. 
(Beam "B" on left and Beam "A" on right). 
FIG. 5.1.5 
FIG. 5 .1. 6 
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End plate of beam "B", specimen one, whenµ 
theµ= 4 cycle. 
End .plate of beam "B", specimen one, whenµ 





FIG. 5.1.7 Specimen one after testing. 
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Column axial load = 1300 kN 
FIG. 5.2.2 Load versus deflection, beam "A", specimen two. 
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Load versus deflection, beam "B", specimen two. 
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Buckling of the beam flanges, 
specimen two, after test. 
End plate of beam "B", spec imen two, 
when )J = + 6 . 
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FIG. 5 .2. 6 General view of specimen two after test. 
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FIG. 5 .3 .2 Load versus deflection, beam "A", specimen three. 
300 ( mm l 
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Load versus deflection, beam "B",_specimen three. 
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FIG. 5.3.4(a) and (b) 
, (a) 
(b) 
End · plate of beam "B", specimen two, 




General view of the connection, specimen three, 
atµ=+ 6. 
General view of the connection, specimen three, 




General view of the connection, specimen three 
at µ =.,, + 10. 
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FIG. 5. 3. 9 
FIG. 5. 3 .10 
Fracture in the end plate of beam "B", 
specimen three. 
Fracture in the end plate of beam "B" and some 
evidence of bending in double curvature in the 
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FIG. 5.3.ll(a) and (b) Deformations of the column flange on the beam 
"A' side of specimen three. 
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View of panel zone where fracture has occurred over 
the full length between one of the column flanges 
and its doubler plate butt weld, specimen three. 
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In these tests all three specimens were generally well behaved 
although a more detailed discussion on their performance and nature now 
follows. 
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Progressive yielding throughout the cyclic loading tests was only 
evident in the column where there was a constant axial column load with 
alternating bending moment and shear forces. The deformations in the 
beams, the end plates, and the lateral deformations in the column flanges 
were all cyclic in nature; i.e. all the inelastic displacements were 
completely reversed in the following.half of _the loading cycle. This 
meant that efficient use was made of the ductile characteristics of these 
components with respect to there being no progressive type of failure. 
The connections in specimens one and two were strong enough to 
transmit beam actions and to encourage most of the inelastic deformation 
to occur in the beams. In specimen three the beam "A" side of the conn-
ection behaved very well with respect to its design strength. The beam 
"B" side however whilst it was strong enough to surpass its design strength 
it did not have the ductile characteristics in the end plate and possibly 
in the column flange stiffening to carry the ultimate load to as high a 
ductility as the beam "A" side. 
In specimens one and two lateral bracing was provided for the beams 
at a distance of 2160 mm from the column face. Refer to Fig. 4.2. 
( 19) . 
satisfied the code requirements that the distance be less than, 







For the beam size tested this distance was 2370 mm. Significant lateral 
bending and twisting had occurred when the tests one and two were stopped 
at approximatelyµ= 6. They were stopped because of the magnitude of 
the in plane beam bending deformation. The beams were still able to carry 
high loads at this stage despite their apparent lateral deformations. 
Additional lateral bracing was used on specimen three to reduce these out 
of plane deformations, as shown in Fig. 4.2. 
6.2 BOLTS 
It was difficult to apply the exact bolt tightening procedure set 
• I II ( 17 ) b ld . . . . h out in the 'Part turn method ecause of we ing distortions int e 
end plate and column flanges. This is because the ideal "snug tight" 
condition with all the joint surfaces in close contact could not be 
achieved without a significant bolt load from tightening. In specimens 
one and two the M30 H. S. bolts had enough strength a.s would have been 
expected from the load capacities.as shown in the tables l(b) and 2. 
In specimen three the loads in the beam "A" bolts exceeded their 
design capacity without failure by a factor of 1.54. After fracture had 
occurred in the end plate of beam "B" the bolts just inside its tension 
flange had to carry a very large load. If it was assumed that no prying 
occurred here and that the lever arm opposing the beam moment was between 
the beam compression flange and the two tension bolts then the load on 
these bolts exceeded their design capacity by a factor of 1.7. 
For this type of connection it seems to be a reasonable assumption 
that the load is shared equally among the four tension flange bolts because 
whilst the bolts inside the beam flanges carry more of the tension flange 
1 d ' d' t db s t and Mann(lO) th b lt t 'd 't t oa , as in ica e y ur ees , e o sou si e i appear o 
be subjected to higher prying effects. 
One feature that has not been considered much in the past and which 
was evident in these tests was the reduction in the prying effects due to 
the deformation of the column flanges. If these column flange deformations 
had not occurred then the bolt prying effects would have been larger, espec-
ially in specimens one and two where the "a" dimension in the end plate was 
small relative to the "b" dimension and the bolt size diameter "D". 
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The beam shear force in all three specimens was transferred across 
the interface between the end plate and the column flange predominantly by 
friction. This was deduced from the fact that there was no significant 
relative sliding movements. If the shear force was carried partly by 
bearing in the bolts then large sliding movements, say 1 to 2 mm, would 
have been detected in the dial gauges "A3" and "B3" as the bolt hole clear-
ances were taken up in the shear force direction. If the connection in 
specimens one and two had been designed to carry the shear force by friction 
in the beam compression flange region the corresponding design capacity(l?) 
for shear around the four M30 H.S. bolts would have been 382 kN. This is 
more than the 84 kN actually designed for. Similarly the design shear 
capacity in friction of specimen three in the region of the four M24 H.S. 
compression flange bolts was 241 kN which was also higher than the shear 
force resistance required. It.should be remembered however that a rela-
tively larger beam shear force would have eventuated if either a shorter 
beam span or a deeper beam section had been used. 
6. 3 END PLATE 
The portion of the end plate outside the beam tension flange did not 
deform in double curvature to the extent that was initially assumed. This 
is because the deformation of the column flange as shown in Fig. 5.3.ll(a) 
relaxed the constraints that encourage the end plate outstand to develop a 
reverse curvature in itself. Subsequently most of the inelastic deform-
ation that occurred in the end plate was concentrated in the area immediatly 
adjacent to the beam tension flange as is shown in Fig. 5.3.4. However it 
appears that the outstand portion of the end plate was still capable of 
carrying a reasonable load. This was probably because a significant amount 
of elastic double curvature occurred throughout the test. In the design 
of the end plate most of the equations recommended assume that a yield line 
develops along the horizontal line of the bolt's centres in the end plate 
outstand. This yield line was not obvious here but that assumption would 
still be legitimate as long as the column flanges were stiff enough and the 
end plate dimensions, in particular "a", were adequately proportioned. 
This would be to encourage the moment along the mentioned line to reach 
yield even though no further curvature ductiliiy may have been achieved there. 
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The recommendation by Mann and Morris(l) that "a" should be not 
less than 2.5 times the bolt diameter appears to be very sensible. The 
dimension "a" used in specimen three was 60 mm which was exactly 2.5 times 
the bolt diameter, 24 mm, used. In specimens one and two "a", 50 mm,was 
less than the 2.5 times 30mm. Subsequently this would have reduced the 
effective bending in double curvature of the end plate outstand. Another 
reason for keeping "a" large is that a smaller column flange mechanism 
might otherwise occur as discussed later in this chapter which would simil-
arly reduce the prying effects and bending in double curvature. 
The end plate inside the beam flanges seemed to behave generally in 
(10) 
the way that was predicted by Surtees and Mann. This was perhaps most 
obvious after fracture had occurred in the beam "B" end plate of specimen 
three. After this fracture had formed the bolts and end plate immediately 
inside the beam tension flange were able to support a beam moment of 70% 
of what it was immediately prior to the fracture event. This decrease in 
load carrying capacity is shown in Fig. 5.3.3 and indicates that the larger 
portion of the beam tension flange force was carried by the end plate irnmed-
iately inside that flange. Close inspection of that end plate in the 
region between the beam flanges after testing showed that it had deformed 
(10) 
in much the same way as that assumed by Surtees and Mann. Refer to 
Fig. 3.3. In particular the deformation in the end plate due to the 
restraining effect of the beam web went to zero at the mid depth of the 
b d ( 10) . . earn as was assume in Fig. 3.3. 




does not include is the thickness of the beam flange and the thickness of 
the welds, e.g. fillet welds or butt welds. It was apparent throughout 
the tests that the end plate deformations around the beam tension flange 
were quite sensitive to the magnitude of "b". This appears to be the 
reason why the specimen one butt welded end plates deformed more than the 
specimen two fillet welded end plates and why in specimen three prior to 
fracture in the beam '.'B" end plate the deformations in the beam "B" end 
plate, which had the more largely splayed butt welds, were comparatively 
less than those in the beam "A" end plate. Mann and Morris(l) do appear 
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to use "b" as being measured between the bolt centres and the edge of the 
adjacent weld in their equation, 
t ~ [df :Bf:pbx B ]; 
The fracture in the specimen three beam "B" end plate occurred in 
an area of high stress concentration. These stresses were due to bending 
in the end plate and tension from the beam tension flange. The magnitude 
of these stresses was thought to have been increased by the close proximity 
of the bolts to the beam tension flange. Their close proximity may have 
prevented the stresses from dispersing more evenly across the end plate 
width. The distance "b" measured from the bolt centres outside of the 
beam flange to the edge of the adjacent weld was 30 mm in the area where the 
fracture occurred and was between 35 and 38 mm at the other three end plates 
to beam flange junctions. It seems that the curvature ductility demand 
was greater in the end plate immediately outside of the beam tension flange 
than it was immediately inside it. This was largely due to the restraint 
of the beam web on the end plate and the relative rotation between the column 
face and the end plate, (in the plane of the beam and column centrelines). 
Perhaps a more realistic values of "b" would have been achieved for specimen 
three if "b" had been detailed for the erection clearances necessary with 
(20) . 
standard impact wrenches and/or if better quality control had been 
executed during fabrication to avoid off set end plates and largely splayed 
butt welds. 
6.4 COLUMN FLANGES 
In these three specimens two different types of column flange stiff-
ening were used. The first and more conventional type used in specimen 
one resulted in some significant welding distortions although it would 
probably have still been acceptable in practice. The second type of 
stiffening tested here in specimens two and three was more easily fabricated 
and resulted in only relatively small welding distortions. 
The column flanges of specimens one and two were both designed to 
be stronger than the adjacent beams. This was perhaps the main reason why 
they performed safely with very little deformation during their tests. 
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In specimen three the column flange tip stiffening system was underdesigned 
to encourage it to fail. It performed well on the beam "A" side but 
failed on the beam "B" side although only at a later stage in the test. 
The ultimate load reached on the beam "A" side was 1.6 times the design 
yield capacity of the column flange. Results of a yield test oµ a column 
flange sample indicated that it had an ultimate tensile strength of 1.54 
times the yield strength. With_ this in mind and considering that the 
"upper bound" yield line method of calculating the design yield capacity 
was already theoretically unconservative, especially when it had neglected 
the existence of other column flange stresses, it seemed that the column 
flange on this side of the column performed very well. Some additional 
strength may have been imparted to it by the clamping action of the bolt 
head and nuts. If this clamping action was significant its influence on 
the column flange yield ~echanism would have probably been only in the area 
immediately around the bolts rather than on the mechanism as a whole. 
This subject of the clamping effects in this type of situation has been 
. (15) 
briefly discussed but there does not appear to have been much research 
in this area. In 'this clamping type of action the bolt load was probably 
exerting an approximate hexagonal line load rather than the assumed point 
load. This would have certainly increased the theoretical design capacity 
of the column flange. 
On the beam 11 B 11 side the column stiffening system failed when fractures 
occurred in it as was described in Chapter Five. Before the fractures 
occurred the load on the beam reached a level which exceeded the corresponding 
design yield capacity of the column flange by a factor of 1.4. This fail-
ure between the doubler plate butt weld and the column flange tip would in 
a normal situation be unacceptable because it severs the bulk of the shear 
strength in the panel zone. This would probably then lead to failure 
within the column at the connection. The line along which these fractures 
occurred was a line of high stress concentration. The stresses came from 
bending due to the column flange mechanism, tension or compression in the 
doubler plate resulting indirectly from the beam tension or compression 
flange, and longitudinal shear that was transferred between the column flanges 
and the doubler plates. It is possible that these fractures were initiated 
by the premature failure in the beam "B" end plate. This failure may have 
caused a larger load to be put on.the column flange mechanism around the 
bolts that were just inside the beam tension flange. In. this specimen the 
end plates and column flanges were under designed with respect to the beam 
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loads placed on them. In a normal design situation this type of colwnn 
stiffening may be quite acceptable as was generally indicated by specimen 
two. It seems unlikely that it would have fractured if the beam end plate 
had not done so first and if the loads were lower. 
In specimens one and two, where the end plate dimension "a" was only 
50 mm, it appeared that the effect of prying between the end plate and the 
column flange may have had an influence on the yield line pattern in the 
column flange. This is perhaps another good reason for using the criterion 
d · (l) h 1 1 f suggested by Mann an Morris to ensure t at a reasonab y arge value o 
"a" is used. 
The equations for determining the capacity in the column flanges, 
as given in Section 4.2, neglected the effects of other column flange 
stresses due to column axial load and bending. The capacities of the 
column flanges were sufficient in these tests but it is possible that 
problems could have been encountered if higher colwnn axial loads and/or 
bending moments had been used. These longitudinal column flange stresses 
may not be too critical in earthquake loading situations because the column 
-flange stresses due to bending tend to cancel out those due to axial com-
pression in the beam tension flange region. 
6.5 GENERAL DISCUSSION 
In all these bolted end plate type beam to column connections it 
is important to extend the column web doubler plates beyond the boundaries 
of the column flange mechanisms. 
These connections can be used for joining larger beam and colwnn 
sizes but some problems can arise in the bolting aspect of the connection. 
With bigger beam sections larger beam tension flange forces have to be 
dealt with. Larger bolt sizes, i.e. M30 and M36 H.S. bolts appear to be 
uncommon in practice because of difficulties in tightening them. 
(6) 
Grundy et al suggested the use of eight bolts per beam tension 
flange but with the proviso that horizontal column flange stiffening be 
provided at the level of the beam flanges. Not much research seems to 
have been done into the actual load distribution between the eight bolts 
around that beam tension flange. Intuition would perhaps suggest that 
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whilst the four bolts outside the flange would share their loads reason-
ably evenly, the loads in the bolts inside the beam tension flange would 
tend to be nonuniform with more load being carried by the two centre bolts. 
This is because of the restraining effect of the beam web on the end plate. 
Similarly the restraining effect of the column web would attract.more load 
towards the bolts that are closest to the column web both above and below 
the beam tension flange. Perhaps to more evenly distribute the bolt loads 
the two bolts inside the beam tension flange and closest to the beam web 
could be moved further away from that beam flange. 
Another method that can be used to reduce the beam tension flange 
force whilst still carrying a large moment in the beam is to haunch the 
beam at the connection. 
CHAPTER 7 
RECOMMENDATIONS FOR FURTHER RESEARCH 
Some aspects about the behaviour of these connections that would 
probably benefit from further research are described in the following 
paragraphs. 
The use of lower design loads for the bolts may result if a better 
understanding was developed for the criteria that governs the magnitude of 
those loads especially when the column flange is deforming and reducing 
prying effects. 
(10) 
Surtees and Mann's end plate thickness equation appears to be 
generally a lot less conservative than other similar equations. They do 
not appear to discern between fillet and butt welds which appear to make 
a difference to the end plate strength. A more structurally accurate 
solution may result if this variable were included in their equation. 
Some further cyclic loading tests of end plates to substantiate their load 
and stiffness characteristics would be helpful to confirm the validity of 
their equation for earthquake loading conditions. 
The use of eight bolts per beam flange offer·s a way by which larger 
beam and column sizes can be joined by this type of connection. The main 
problem here is generally the lack of knowledge on the way the loads and 
stresses are distributed throughout the beam end plate, bolts and column 
69 
flanges. The two main variables affecting this are the bolt positions and 




Three bolted end plate beam to column connections were tested here. 
The first two were designed to comply with the NZS 3404:1977. This was 
done by using the equations set out in Section 4.2 of this thesis and 
assuming a beam strain hardening factor of 25%. The third connection was 
underdesigned so that its behaviour at ultimate could be more closely 
studied. 
1. In the first two tests the connections were able to support the 
ultimate plastic hinge beam loads in a relatively stiff manner. 
2. In the third test the connections underwent larger ductile deform-
ations at relatively higher loads without any strength degradation 
until later in the test when partial failure was initiated by 
fracture in the end plate. 
3. The tests indicated that the beams needed laterally restraining by 
at least the amount required by the Standard AS 1250:1975 if higher 
ductilities were to be achieved in the beams. 
4. The tests carried out here have not been able to cover a wide range 
of these connections but their results indicate that these connections 
can be designed and fabricated to reliably withstand reversed cyclic 
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APPENDIX I 
DERIVATION OF COLUMN FLANGE CAPACITY 
This derivation is specifically for the situation where the column 
web doubler plates are full strength butt welded to the column flange tips. 
Dimensions and symbols used in this derivation may be found in Fig's 4.9 
and 4.10 and in the Notation. This derivation is based on yield line 
theory and so will theoretically only provide an upper bound solution. 
Assumptions are: 
(1) That the panel zone doubler plates on the column flange tips are 
stiff enough (thick enough) to cause the full plastic.moment to be 
reached in either the doubler plate or the column flange on the 
line AD, see Fig's (4.9) and (4.10). 
(2) That the effect of stresses due to the column axial load and bending 
may be neglected. Allowance could be made for the existence of 
these by using appropriate reduced plastic moment capacities in the 
yield lines that extend across the column flanges. 
(A) For the yield line pattern sh?wn in Fig. 4.9. 
If the yield line, EF is displaced through a distanced' then: 
The work done 
The work done 
using M 
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(B) For the yield line pattern shown in Fig. 4.10 
+ 
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If the point Eis displaced through a distanced' then the work done 
by 0.25 F is, 
mq 
0.25 F x d' 
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The work done by the hinge mechanism, 11 W1 11 , is, 
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